Abstract: This paper presents results of finite element analysis of 18 strong-axis steel welded beam-column subassemblages with connection reinforcement. For the type of connection configuration considered, Federal Emergency Management Agency ͑FEMA͒ recommends that the connection forces be obtained by locating the plastic hinge at one-third depth of beam away from the end of connection reinforcement region. Also a recent study pointed the location of plastic hinge to be at a distance of depth of beam from the column face. However, the present study shows that the plastic hinge is located at one-half depth of beam away from the end of connection reinforcement region. It is observed that the connection design forces obtained from the present study are higher as compared to those obtained using the FEMA recommendations. The paper also presents a noniterative procedure for the design of beam-to-column connections using a truss for obtaining connection forces, which uses this location of the plastic hinge.
Introduction
The design of connections for steel beam-to-column joints is based on capacity design concept, wherein connections are designed for forces corresponding to beam overstrength capacity. Also, the conventional procedure for design of connection elements at the beam-to-column moment-shear connections is based on simplified beam-bending theory, wherein it is assumed that the beam-end moment is transferred to the column through beam flanges alone and the beam-end shear through beam web. However, recent studies ͑Lee et al. 1998, 2000͒ have shown that the above design assumptions are not realistic. The actual stress field near the beam-to-column joint region is not properly reflected in the above-simplified approach for the design of connections elements. It was shown that the truss analogy model ͑Goel et al. 1996͒ can be used to represent the flow of forces near the connection region.
This paper presents the results of nonlinear finite element analyses of strong-axis exterior steel beam-to-column subassemblages with connection reinforcement; the connection reinforcement consists of beam-flange cover plates and vertical rib plates. Based on the principal stress fields in beam-to-column subassemblages, the truss analogy model is improved. Also, based on the capacity design concept a noniterative procedure is outlined for the design of connection elements. The proposed procedure is itself used in the design of the connection elements for the beamto-column subassemblages studied.
Moment Transfer Joints
For steel moment-resisting frames, the seismic design philosophy recommends the use of strong-column weak-beam concept in which the frame members are proportioned such that the plastic hinges occur in the beams rather than the columns. This requirement imposes severe strength and deformation demands on the beam-to-column connections. The performance of steel momentresisting frame ͑MRF͒ buildings during the 1994 Northridge earthquake has emphasized the vulnerability of moment-resisting connections during strong earthquake shaking. Although there was no loss of life during the Northridge earthquake due to collapse of steel MRF buildings ͑EQE 1994͒, the performance of steel MRF buildings was not satisfactory. Many low-and medium-rise steel moment-frame buildings sustained structural damage at the beam-to-column joints. These buildings were designed and detailed according to the then existing building code requirements, which were intended to ensure ductile performance of the buildings during major earthquakes ͑Krawinkler and Popov 1982͒. Damage to moment frames included brittle failures of beams flange weld connections, and fracture of column flanges including portions of column web, particularly near the beam bottom flange. Some bolts of shear tabs were also damaged along with the tearing of shear tab and the fillet weld from the column face ͑Miller 1998͒. Failures of welded connections have been reported in buildings located as far as 30 km from the epicenter ͓National Institute of Standards and Technology ͑NIST͒ 1994͔. This is an issue of concern as the Northridge earthquake was just a moderate size earthquake ͑magnitude 6.8 on Richter scale͒.
Prescriptive Moment Connection
The connection scheme used most in steel MRFs from mid 1960s to 1994 is known as the prescriptive moment connection ͑Fig. 1͒. This connection scheme was adopted by the 1988 Uniform Building Code ͑UBC͒ based on limited tests conducted to qualify the connections ͑Saunders 1998͒. It was assumed that total plastic moment (M p ) is transferred through the full-penetration welds at the end of the beam flanges, and the corresponding shear force (V) through the shear tabs and high strength bolts at the end of the beam web.
The prescriptive moment connections were deemed as sufficiently ductile to develop full plastic moment capacity in the beam and thereby to perform very well during strong ground shaking. These connections were economical, and therefore widely used in steel MRF buildings in high seismic zones. However, during the Northridge earthquake, the prescriptive moment connection performed poorly and was immediately withdrawn by UBC. Many such connections sustained extensive damage, particularly in the complete penetration weld region even before any inelasticity was developed ͑Roeder 1998; Saunders 1998͒.
The experimental investigations after the Northridge earthquake showed that the prescriptive moment connections were indeed inadequate to sustain the deformation demands during strong earthquake shaking ͑Sabol et al. 1996; Englehardt and Sabol 1998; Malley 1998͒. Further, it was also observed that connection failures during the Northridge earthquake were not just due to poor quality of welding, but also due to three-dimensional restraint in the connection region, which do not allow the expected ductile yielding of the beam flanges ͑Miller 1998͒. It was understood that it is not possible to form energy dissipating plastic hinges at the column face, as the restraints in this region do not allow ductile yielding of the beam. The restraint provided by the column flange makes the beam-end connection vulnerable to brittle fracture ͑Miller 1998͒. Thus, the current design philosophy of steel beam-to-column connections requires that during strong seismic shaking ͑1͒ the connections remain elastic and ͑2͒ the energy dissipating plastic hinges be formed away from the column face ͓Engelhardt and Sabol 1998; Federal Emergency Management Association ͑FEMA͒ 2000͔. The inelasticity is concentrated at a predetermined location in the beam, away from the column face.
According to von Mises criterion, both normal stress ( xx ) and shear stress ( xz ) participate in yielding the section. xx is more effective in yielding the portions away from the neutral axis, and xz in yielding the portions near the neutral axis. A plastic hinge is formed in the beam when inelasticity spreads by flexural yielding of flanges and shear yielding of web. Therefore, the plastic hinge is not a single point in the beam, but is spread along a small length of the beam span and across the full depth of the beam cross section. It is known that welds are vulnerable to brittle fracture when subjected to large deformations; this is counterproductive to good inelastic behavior. Steel, on the other hand, is a ductile material, and it also strain hardens giving additional strength even after yielding. Further, the formation of plastic hinge results in large deformation in the hinge portion. Therefore, the design strategy is to push the potential plastic hinge away from the connections ͑welds, cover plates, and rib plates͒, into the span of the beam. This is achieved by reinforcing the connection region. However, it is important to recognize the following conflicting demands: 1. The plastic hinge region should be sufficiently away from the restraint at the column face to allow for the plastification in the beam; and 2. The design moment for the connection is amplified with increase in the distance of plastic hinge from the face of the column. Under the large lateral loading on the frame, the joint panel zone ͑JPZ͒ in the column section is subjected to very high shear stresses. Inelastic yielding of JPZ is expected to dissipate the input seismic energy in the frames with prescriptive moment connections. However, excessive yielding of the JPZs caused kinking in the columns and imposes severe deformation demands on the beam-to-column connections ͑Schneider and Amidi 1998͒. This was identified as one of the main reasons for the fracture of the complete penetration welds in the prescriptive moment connections during the 1994 Northridge earthquake. Further, excessive distortions of the JPZs due to yielding may result in undesirable storey drifts, and thereby adversely affect the behavior of connections near the joint ͑Krawinkler and Popov 1982͒.
Truss Analogy Model
Experimental and analytical studies ͑e.g., Goel et al. 1996; Lee et al. 1998͒ have shown that the beam stress field postulated by classical Bernoulli hypothesis is not valid for regions near the joint. A truss analogy model was used to represent the flow of forces in this region ͑Fig. 2͒ ͑Goel et al. 1997; Lee et al. 2000͒. In the truss analogy model, a K-truss is used to represent the flow of forces, which starts at the face of the column. Based on these forces, a connection design scheme was proposed consisting of cover plates and vertical rib plates ͑Goel et al. 1996͒ ͑Fig. 2͒. However, in this method, the design forces for the individual connection reinforcement elements, namely, the beam-flange cover plates and vertical rib plates, are arbitrarily assigned. Further, the presence of connection reinforcement is not reflected in the location of the K-truss; the K-truss starts at the column face ͑Fig. 2͒. However, the strength of the beam near the column face is increased by the presence of the connection reinforcement elements. During strong seismic shaking, the bending moment is largest in the beam near the column face. But, because the beam strength is increased near the column face by the presence of connection reinforcement, yielding will not be initiated there. Instead, yielding will start immediately adjacent to the beam reinforcement region, where the section has lesser strength. Thus, it is only appropriate to start the K-truss at the end of the connection reinforcement region rather than at the face of the column. Provisions of FEMA 267 for buildings with low gravity loads also suggest that the truss may be assumed to span over a distance of d b /3 from the edge of the connection reinforcement region ͑FEMA 1995͒. Further, the truss analogy model states that the length of the truss is equal to the depth (d b ) of the beam ͑Lee et al. 2000͒, which is inconsistent with the observations of the present study.
Present Study
In the present study, welded steel beam-to-column connections are studied through a typical exterior beam-to-column subassemblage made of AISC W sections and conforming to the strongcolumn weak-beam design philosophy. The sudden change in geometry at the column face and the consequent stress concentration there is avoided by reinforcing the joint region with cover plates and vertical rib plates. In the connection considered: ͑1͒ the beam flanges are butt welded to the column flange; ͑2͒ the cover plates are fillet welded to the beam flange and butt welded to the column; and ͑3͒ the vertical rib plates are fillet welded to the cover plates and butt welded to the column ͑Fig. 3͒. This connection scheme is similar to that proposed in the literature ͑Goel et al. 1996͒ ͑Fig. 2͒. A possible sequence of fabrication for this connection scheme, using down-hand and vertical welds, is 1. Shop weld the bottom outer rib plates to the bottom cover plate with fillet welds. 2. Shop weld the bracket developed in step ͑1͒, to the column with CJP welds. 3. Position the beam on this bracket prepared in step ͑2͒, and field weld the beam flange to the cover plate with down-hand fillet welds. 4. Field weld both the beam flanges to the column flange with down-hand complete joint penetration ͑CJP͒ welds.
5. Field weld the top cover plate to the beam flange with downhand fillet welds, and then to the column flange with downhand CJP weld. 6. Field weld the top outer rib plates to the top cover plate column with vertical fillet welds, and then to the column flange with vertical CJP welds. 7. Field weld the bottom inner rib plates to the column flange with vertical CJP welds, and to the beam flange and web with down-hand fillet welds. 8. Field weld the top inner rib plates to the column with vertical/overhead CJP welds, and to the beam flange and web with vertical fillet welds. Nonlinear finite element analyses are performed for 18 beam-tocolumn subassemblages using the finite element analysis software ABAQUS ͓Hibbitt, Karlsson & Sorensen Inc. ͑HKS͒ 1996͔. The geometry and support conditions of these subassemblages studied are shown in Fig. 4͑a͒ . The properties of the W sections used in the beam-to-column subassemblages are listed in Table 1 . The subassemblages are discretized using eight-noded solid elements, with three translational degrees of freedom per node; a finer mesh is used to model the connection region. The finite element model of a typical beam-to-column subassemblage ͑beam W21ϫ142, column W24ϫ160) is shown in Fig. 4͑b͒ , along with details of the mesh near the top rib plate ͓Fig. 4͑c͔͒. The beam web is not connected to the column flange.
In all 18 subassemblages, the connections are designed for the strut and tie forces obtained by assuming that the connection truss: ͑1͒ begins at the end of the connection reinforcement region, ͑2͒ has a K-type configuration, and ͑3͒ has dimension of d b /2 along the beam span. The detailed procedure employed for the design of the connection elements is enumerated later in this paper. Since both the beam-to-column subassemblage and the loading are symmetric about the vertical plane ͑say yϭ0 plane͒ passing through the center of the beam web and column web, only one-half of the subassemblage is modeled with y symmetric constraints applied to all nodes on the yϭ0 plane. The top and bottom ends of the column stub are fixed. Monotonically increasing displacement is applied to the tip of the beam.
Improved Truss Model
Under vertical downward displacement of the beam tip, the region above the neutral axis is subjected to tensile normal stresses ( xx ) and shear stress ( xz ) as shown in Fig. 5 ; a tie can be used to represent the resultant of these two. Similarly, the region below the neutral axis is under the action of compressive normal stresses ( xx ) and shear stress ( xz ); a strut can be used to represent the resultant of these two. Stress contours in the joint region for 0.33, 1.00, and 4% drift of the subassemblage with W21ϫ142 beam and W24ϫ160 column are shown in Fig. 6 .
The reinforcing effect of cover plates and the vertical rib plates near the column face pushes the critical section for yielding into the span of the beam. Fig. 7 shows the variation of normal stress ( xx ) in the flange of beam along the length of the beam for 0.33, 1.00, and 4.00% drift; xx is maximum at the end of the connection reinforcement region. The distribution of shear stress ( xz ) near the end of the reinforced region is reversed ͑Fig. 5͒ with xz being a minimum at the neutral axis, as observed in the previous study ͑Lee et al. 1998͒ . At the end of the connection reinforcement region, both xx and xz are maximum near the beam flanges ͑Figs. 5 and 6͒. The principal stress is inclined at an angle less than 45°to the horizontal; this inclination depends on the intensity of normal stresses. The high normal and shear stresses at this section result in the highest von Mises stress in the beam flange. This suggests that during strong shaking, yielding will initiate in the beam flange at the end of the connection reinforcement region and, under increased deformation, the inelasticity will spread outwards along the beam flange and towards the neutral axis in the web.
The shear stress distribution at a section away from the end of the connection reinforcement region confirms the validity of the postulated classical Bernoulli theory, with maximum stress at the neutral axis. Further, the shear stress contours for the beam-tocolumn subassemblages considered in this study agree with those observed in the previous study ͑Lee et al. 1998͒; maximum shear stress occurs at the beam neutral axis for sections away from the connection reinforcement region, and near the beam flange for sections near the connection reinforcement region. The beam section at neutral axis is under the state of pure shear and the principal stress is inclined at 45°to the horizontal. Thus, in the beam portion adjoining the connection reinforcement region, the inclination of principal stresses is oriented at an angle less than 45°n ear the beam flanges, and approaches 45°towards the neutral axis by the end of the K-truss; the principal stress trajectory in the K-truss region is therefore not a straight line ͑Fig. 5͒. However, for the purpose of estimating the connection design forces, it is assumed that a linear truss is formed beyond the end of connection reinforcement region.
The first point along the centerline of the beam beyond the connection reinforcement region, at which the shear stress is maximum, is the point where the shear yielding will initiate. This point is called the truss point. Fig. 8 shows the distribution of shear stress ( xz ) along the neutral axis of the beam for the example subassemblage ͑beam W21ϫ142 and column W24ϫ160). The distance of the truss point from the end of connection reinforcement region is called the length (l t ) of the truss. The intensity of shear stresses in the column panel zone, connection reinforcement region, and the beam region are for 0.33, 1.00, and 4.00% drift levels, and are listed in Tables 2, 3 , and 4, respectively. Fig. 9 shows the results for the variation of l t with beam depth (d b ) for 0.33, 1, and 4% drifts of the 18 subassemblages studied. The best linear fits of this data are 
With increase in drift, i.e., increased inelastic deformation, the truss point moves towards the column. Fig. 9 also shows the curve corresponding to l t /d b ϭ0.5d b . Clearly, assuming the truss point to be located at 0.5d b from the end of the connection reinforcement region gives an upper bound. In the 18 subassemblages studied, the above observation is consistent with the original as- Transverse beam load versus drift curves for the 18 subassemblages studied are shown in Fig. 10 . The transverse beam load is normalized with P pb , the load corresponding to the beam plastic capacity (M pb ), given by
where Lϭdistance between the column centerline and beam tip; d c ϭcolumn depth; and l c ϭlength of the connection reinforcement region along the beam from the column face. Drift of the subassemblage is defined as
where ⌬ϭbeam tip displacement. From Fig. 10 , beam moments corresponding to 0.33% drift are substantially small; P/ P pb ratios are less than 0.6, and the response of the subassemblage is elastic. For 1% drift, the beam plastic moment is mobilized; P/ P pb ratios are close to 1.0. For 4% drift, the P/ P pb ratios are as high as 1.2, and the beam is in the strain-hardening range. Based on the above observations, an improved truss model is proposed. This model overcomes the shortcomings of the truss location and length in the earlier truss analogy model ͑Lee et al. 2000͒ . The salient features of the improved truss model are ͑Fig. 11͒: 1. Configuration: a K-truss adequately represents the transfer of beam shear from the web to the connection elements; 2. Location: the K-truss starts at the end of connection reinforcement region and spans into the beam; and 3. Geometry: the length l t of the K-truss is d b /2. In the proposed model, the moment amplification due to the formation of plastic hinge away from the face of the column is more accurately considered. Further, because the beam web does not transfer shear to the face of the column, it is not essential to connect the beam web and the column flange for transfer of design shear. However, the beam web may be connected through tabs welded to the column flange and bolt the beam web, to carry shear forces due to gravity loads in the extreme event of failure of the connection. The vertical rib plates located on the outer side of the cover plates, which are provided to transfer beam end shear to the column, also carry axial forces and thus have to be designed for the combined effect of flexure and shear. In actual construction, all the connection elements may be shop welded to the beam and the beam brought in position with the help the web tabs.
Proposed Design Procedure
Detailed finite element studies have shown that Euler-Bernoulli stress distribution is not applicable near the joint regions ͑Goel et al. 1996͒; near the joint, the beam shear is diverted towards the beam flanges resulting in stress concentration at the junction of the beam flanges and column face. Based on the results of that study, a connection configuration consisting of outer flange cover Fig. 6 . ͑a͒ Normal stress contours ͑MPa͒; ͑b͒ shear stress contours ͑MPa͒; and ͑c͒ von Mises stress contours ͑MPa͒ in connection region for 0.33% drift of beam-column subassemblage studied ͑beam W21ϫ142 and column W24ϫ160). ͑d͒ Normal stress contours ͑MPa͒; ͑e͒ shear stress contours ͑MPa͒; and ͑f͒ von Mises stress contours ͑MPa͒ in connection region for 1.00% drift of beam-column subassemblage studied ͑beam W21ϫ142 and column W24ϫ160). ͑g͒ Normal stress contours ͑MPa͒; ͑h͒ shear stress contours ͑MPa͒; and ͑i͒ von Mises stress contours ͑MPa͒ in connection region for 4.00% drift of beam-column subassemblage studied ͑beam W21ϫ142 and column W24ϫ160).
plates and vertical rib plates ͑inner and outer͒ is used in this study ͑Fig. 3͒. The presence of the inner vertical rib plate also reduces the potential of crack initiation at the re-entrant cover plate to column flange junction, as observed in preliminary laboratory experiments ͑Moitra 2000͒. The step-wise procedure is presented hereunder for the design of connections elements. An example design calculation using this procedure for a beam of W21ϫ142 and a column of W24ϫ160 is presented in the Appendix. (5) The fillet weld between beam flange and cover plate is a critical weld, and it is expected that its thickness will be larger than the beam flange thickness. Thus, the width of the cover plate is calculated such that a fillet weld of maximum size equal to twice the thickness of the beam flange can be deposited to connect the cover plate to the beam flange. 3. Calculate the length, L 0 , of the shear link in the beam assuming that plastic hinges are located at either end of the beam at a distance of 0.5d b from the end of the connection reinforcement region ͑Fig. 12͒ using 
where Lϭdistance between the centerlines of the columns at the two ends of the beam and d c ϭoverall depth of the columns.
4. Calculate the probable maximum shear force, V pr , on the connection, using
5. Calculate the vertical shear force, V d , and the horizontal pull 
and
The second term in Eq. ͑9͒ is due to the moment amplification, which is the consequence of shifting the plastic hinge away from the column face and into the beam. These forces are calculated based on the truss model, which assumes that the beam shear is transferred to the column through the beam flanges and not through the beam web ͑Goel et al. 1996͒. Part B: Design of Cover Plates 6. The weld between beam flange and cover plate is subjected to combined tension and shear ͑Fig. 3͒. Calculate the shear and tension for this weld, using
where T f ϭF y b bf t bf ϭcapacity of beam flange using the minimum specified strength. It is expected that the yield strength of the steel is always higher than the minimum specified strength. Further, because the beam portion immediately after the connection reinforcement region is weaker than the reinforced region close to the column face, it is expected to yield first and prevent the inelasticity from entering the connection reinforcement region. 7. Since the length and width of cover plate are known, the length of weld between beam flange and cover plate is given by l wcp ϭ2l c ϩb cp (12) 8. Calculate the area of the fillet weld required to transfer the combined T wcp and V wcp , using
Calculate the thickness of this fillet weld, using
The thickness of cover plate, t cp is the same as the thickness of the fillet weld. Part C: Design of Rib Plates 9. Assuming that the shear is transferred to the column by two outer rib plates, calculate the shear in each rib plate, using
10. The fillet weld between the outer rib plates and cover plate is also under combined shear and tension. Calculate the magnitudes of these forces, using
T whrp ϭV rp (16) and Calculate the length of the rib plate using
13. Calculate the horizontal tensile force for each rib plate using
where T cp ϭF y b cp t cp ϭcapacity of cover plate using minimum specified strength. 14. Calculate the area of each rib plate to transfer combined shear and tension to the column using
15. Assuming the thickness, t rp , of the rib plate, calculate its height using
Part E: Check for Moment Amplification 16. For the actual dimensions of the cover plate and vertical rib plates provided, calculate the capacities using Fig. 9 . Linear regression results for location of truss point at ͑a͒ 0.33% drift and l t ϭ0.5d b ; ͑b͒ 1.00% drift and l t ϭ0.5d b ; and ͑c͒ 4.00% drift and l t ϭ0.5d b proposed in this study to locate truss point to be used for calculation of connection design forces. (26) 17. Ensure that the connection capacity to resist the external moment is more than the moment demand on it including the effect of moment amplification using
Summary and Discussion
Detailed finite element models of 18 beam-to-column subassemblages are used to study the inelastic stress field in the connection region under large lateral deformations. An improved truss model is proposed to accurately represent the flow of forces near the connections of steel MRF beam-to-column joints. A noniterative procedure to rationally estimate the design forces on the different connection elements, namely cover plates and vertical rib plates, is proposed using the results of the nonlinear finite element analyses carried out in this study. The beam overstrength capacities are used to obtain the connection design forces. Cover plates are designed for pure axial forces, and the vertical rib plates are designed for combined axial and shear forces. The welds between the various connection components are designed for actual combined axial and shear stresses. The improved truss model correctly locates the K-truss to start at the end of the connection reinforcement region. This is verified by nonlinear finite element analyses and is in contrast with the location of the truss assumed in the truss analogy model to start at the face of the column ͑within the connection reinforcement region͒ ͑Goel et al. 1997; Lee et al. 2000͒ . The improved truss model also proposes the dimension of the K-truss as d b /2, as against d b assumed in the earlier truss analogy model. The improved truss model presented in this paper gives realistic design forces for the connection elements. However, an experimental program to investigate the validity of the improved truss model is essential before it is formally accepted for the design of welded moment-shear connections in steel MRFs.
14.
A L ϭ center to center distance between columns at end of beam; length; L 0 ϭ length of shear link, length of beam between plastic hinges; l c ϭ length of reinforced region of beam, length of cover plate; l rp ϭ length of rib plate; l t ϭ distance of truss point from end of connection reinforcement region; l wcp ϭ length of fillet weld between beam flange and cover plate; l whrp ϭ length of fillet weld between cover plate and rib plate; M ϭ beam moment; M p ϭ plastic moment; M pb ϭ beam plastic moment; M pc ϭ column plastic moment; M pr ϭ moment from beam capacity; P ϭ beam transverse load; P pb ϭ beam transverse load corresponding to M pb ; R y ϭ material overstrength factor; T ϭ tensile force in beam top flange; thickness; T cp ϭ tensile capacity of cover plate; T d ϭ design axial force for top or bottom half of connection; T f ϭ elastic axial capacity of beam flange; T pr ϭ total horizontal connection design force; T rp ϭ design axial force for rib plate; T wcp ϭ tensile force in fillet weld between beam flange and cover plate; T whrp ϭ design axial force for fillet weld between cover plate and rib plate; t bf ϭ thickness of beam flange; t bw ϭ thickness of beam web; t cp ϭ thickness of cover plate; t rp ϭ thickness of rib plate; t wcp ϭ thickness of fillet weld between beam flange and cover plate; t whrp ϭ thickness of fillet weld between cover plate and rib plate; V ϭ shear force; V d ϭ design shear force for top or bottom half of connection; V pd ϭ connection design shear force; V pr ϭ maximum shear force on connection; V rp ϭ design shear force for rib plate; V wcp ϭ shear force in fillet weld between beam flange and cover plate; V whrp ϭ design shear force for fillet weld between cover plate and rib plate; Z b ϭ plastic section modulus of beam; ⌬ ϭ beam tip displacement; xx ϭ normal stress; y ϭ yield stress of steel; b ϭ maximum shear stress in unreinforced portion of beam; bpz ϭ maximum shear stress in reinforced section of beam; cpz ϭ shear stress in column panel zone; tp ϭ shear stress in beam web at truss point; and xz ϭ shear stress.
